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In the UK, the design of steel portal frame buildings in fire is based on the Steel Construction Institute (SCI) design
method, in which fire protection needs only be provided to the columns, provided that the column bases are designed
to resist an overturning moment,MOTM, calculated in accordance with the Steel Construction Institute design method.
In this paper, a non-linear elastic–plastic implicit dynamic finite-element model of a steel portal frame building in fire
is described and used to assess the adequacy of the Steel Construction Institute design method. Both two-dimensional
and three-dimensional models are used to analyse a building similar to the exemplar frame described in the Steel
Construction Institute design guide. Using the two-dimensional model, a parametric study comprising 27 frames is
conducted. It is shown that the value of the overturning moment, calculated in accordance with the Steel Construction
Institute design method, may not be sufficient to prevent collapse of the frame before 8908C.
Notation
A area of the section
E Young’s modulus
h height of the column
Imaj second moment of area about the major axis
Kb non-dimensional rotational stiffness
kb initial column base rotational stiffness
L span of portal frame
Mp plastic moment capacity of section
Mpf fire hinge moment (6.5% Mp)
Mp,col plastic moment capacity of column section
Mp,raf plastic moment capacity of rafter section
MOTM overturning moment
MSCI MOTM according to the SCI design guide (Simms and
Newman, 2002)
r ratio of applied load to ultimate load capacity of the frame
Wpl plastic section modulus
Ł pitch of portal frame
1. Introduction
In the UK, single-storey steel portal frame buildings (Figure 1)
account for over 50% of the constructional steelwork used each
year. In fire, however, steel rapidly loses its strength and stiffness,
and so for steel portal frame buildings designed in fire boundary
conditions, expensive fire protection is often required in order to
ensure structural integrity and prevent premature collapse.
The UK Building Regulations (DEW, 1991) make reference to
the SCI design method (Simms and Newman, 2002), which
suggests that expensive fire protection is only required for
columns but not necessary for rafters, so long as the column
bases are designed to resist an overturning moment MOTM
1
calculated in accordance with the SCI design method. The SCI
design method makes the assumption that the columns remain at
ambient temperature (since fire protection is applied) and that
both rafters are heated uniformly to a maximum temperature of
8908C, which is the temperature at which 6.5% of the ambient
strength of steel is assumed to remain. For a single-span building,
it assumes that the rafters undergo symmetrical inward snap-
through buckling, after which the frame stabilises with the rafters
being suspended below the columns in catenary action (see
Figure 2). The SCI design method also assumes that the inverted
position of the rafter after snap-through buckling is the ultimate
limit state of the frame. In the UK, if a frame is designed in
accordance with the SCI design method and the column bases are
designed to be able to resist MOTM, the designer may assume that
the columns will also remain 18 from the vertical, thus preventing
inward collapse of the walls.
According to the Australian design code, O’Meagher et al.
(1992) defined acceptable and unacceptable modes of failure
(Figure 3). These modes of failure covered a number of different
heating situations, for example, when only one column and one
rafter are exposed to fire. As can be seen, the acceptable mode of
failure is asymmetric (Figure 3(a)) with one column remaining
near to vertical and the other column collapsing inwards. The
unacceptable mode of failure is also asymmetric and results in
outward wall collapse (Figure 3(b)), which is dangerous since it
not only allows the fire to spread to adjacent buildings but also
represents a danger to fire fighters and occupants escaping from
the building owing to the collapsing walls.
Research over the past two decades has demonstrated that the
mode of collapse of a single-span steel portal frame with both
rafters heated uniformly is not always symmetric, as assumed by
the SCI design method, but can be asymmetric and take either of
the two failure modes defined by O’Meagher et al. (1992).
In 2001, Wong (2001) conducted full-scale fire tests on a hot-
rolled steel single-span portal frame with pinned column bases,
and observed such asymmetrical behaviour. Using the finite-
element program Vulcan (Huang et al., 2004), Wong then
conducted a two-dimensional (2D) non-linear, elastic–plastic,
implicit static finite-element analysis and was able to predict the
behaviour successfully up to the snap-through buckling tempera-
ture. Wong provided a design method for calculating the snap-
through buckling temperature, assuming pinned column bases.
Franssen and Gens (2004) described a double-span portal frame,
which Vassart et al. (2007) adopted for their studies. Using the
finite-element program Safir (Franssen et al., 2002), Vassart
conducted a 2D non-linear, elastic–plastic, implicit dynamic
finite-element analysis to predict the behaviour of the double-span
frame to collapse. Ali et al. (2004) also conducted a 2D non-
linear, elastic–plastic, finite-element analysis of a double-bay
frame using the finite-element program Abaqus (Simulia, 2009)
in order to determine the safe clearance required between the
Figure 1. A typical portal frame building (without cladding, purlin
and roofing)
Figure 2. Symmetrical inwards snap-through-buckling collapse
mechanism as assumed in SCI design guide (Simms and Newman,
2002)
(a)
(b)
Figure 3. Asymetrical acceptable and unacceptable collapse
mechanisms after O’Meagher et al. (1992)
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frame and firewall allowing the frame to expand laterally. They
observed that lateral displacement of frames increases with an
increase of spatial extent of fire. They also observed that the
greater the roof height, the sooner the failure of the frame occurs.
Song (2009) and Song et al. (2008, 2009) continued the work of
Wong on single-span frames and used Vulcan to conduct a 2D
non-linear, elastic–plastic, implicit dynamic analysis of the portal
frame. Song et al. were able to predict the post-buckling behav-
iour and observed an asymmetric failure mechanism. For models
in which the column bases were modelled assuming linear
rotational stiffness, Song et al. showed a two-phase collapse
mechanism, the first phase being snap-through buckling and
subsequent stabilisation of the apex, the second phase being
opening of the plastic hinge near the eaves joint after which the
frame loses stability and collapses.
Bong (2005), as described by Moss et al. (2009), conducted a
three-dimensional (3D) non-linear, elastic–plastic, implicit
dynamic finite-element analysis of a portal frame building in fire
using the finite-element program Safir. The building was designed
in accordance with New Zealand practice (SNZ, 1992, 1997),
with the lower half of each column encased in concrete and the
top half exposed to fire. In this 3D model, the purlins were also
modelled. Similar to Song et al., it was shown that the failure
mode of the portal frame was asymmetric. No consideration was
given to the column base, which was again assumed to behave as
perfectly pinned.
The objective of this paper is to evaluate the existing SCI design
method. In this paper, the column base overturning moment
MOTM, calculated in accordance with the SCI design method, is
assessed using both 2D and 3D non-linear, elastic–plastic,
implicit dynamic finite-element analyses. The 2D and 3D finite-
element models are each verified against the results of Song et al.
and Moss et al., respectively. A frame similar to the exemplar
frame given in the SCI design guide is then modelled, taking into
account the limiting strength of the column base, MOTM:
2. Standard building
2.1 Building dimensions
In the study described in section 6, both 2D and 3D finite-
element models of a single-span building in fire will be consid-
ered. This building will be referred to as the ‘standard building’.
The overall frame dimensions of the standard building are the
same as those used for the exemplar frame described in the SCI
design guide (Simms and Newman, 2002), shown in Figure 4. As
can be seen, the span of each frame is 22.0 m with a pitch of 68,
and height to the eaves of 5.7 m. The distance between the
adjacent frames is 6 m. In the SCI design guide, the columns and
rafters are UB 4573 152 3 52 S275. Since the SCI design guide
only considers a 2D representation, the cold-formed steel sections
and spacing used for the purlins and the side rails are not
specified. In this paper, it is assumed that the purlins and side
rails are Steadman 17015 zed sections (Steadmans, 2010) with a
yield stress of 390 N/mm2, spaced at 1500 mm centres for both
columns and rafters.
Figure 5 shows a 2D representation of one of the frames in the
standard building considered in this paper. To simplify the model,
the haunch is not modelled. It should also be noted that the cross-
section properties used for the members are slightly different
from those given in standard section property tables. This is
because the finite-element program Abaqus used for the analysis
is unable to provide default cross-sections with fillets and
modelling cross-sections with fillets will immensely increase the
computational time. The section properties without fillets are
given in Table 1.
As can also be seen from Figure 5, a vertical dead load of
1.0 kN/m is applied to the frame as a uniformly distributed load.
This vertical dead load is consistent with the SCI design guide in
which 1.0 kN/m is also applied including the self-weight of the
purlins. In order to be consistent with the SCI design guide, for
6°
1·
0 
m
457 152 52 UB 5
·7
 m
Finished floor level
0·7 m
Foundation
11 m (half span)
457 152 52 UB 
Figure 4. Frame used in SCI worked example (Simms and
Newman, 2002)
w 0·2 kN/m 1·0 kN/m 2
22·0 m
5·7 m
All sections equivalent UB457 152 52
without fillets
Steel grade S275
Frame centres of 5·0 m
Pitch 6°
 
Figure 5. Details of standard frame with rotational spring at
column base
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the case of the 2D model, the purlins are not physically modelled.
On the other hand, in the 3D model the purlins are modelled and
have a self-weight. For the case of the 3D model, therefore, the
vertical dead load applied to each frame is reduced to 0.75 kN/m.
Both 2D and 3D frames, therefore, have the same total vertical
dead load.
2.2 Overturning moment
For the standard building, according to SCI design method, the
value of MOTM that needs to be resisted is 61.2 kN m. (It should
be noted that if this calculation is repeated including the fillets,
then the value of MOTM required reduces to 54.2 kN m). A value
of MOTM of 61.2 kN m represents approximately 20% of the
plastic moment capacity of the section, Mc,pl, of 296.2 kN m. The
SCI method assumes that both the columns and the column bases
are fully protected from fire. In reality, when a column is
protected from fire with concrete covering, the temperature
usually does not rise more than 3508C, and almost all of the
strength of the material is retained. The present authors have run
simulations in the past and this has had little effect on the results.
It should be noted that the SCI method does not state the
rotational stiffness of the column base.
2.3 Material properties at elevated temperature
Figure 6 shows engineering stress–strain curves for steel at
elevated temperatures ranging from 228C to 12008C. In this paper,
the temperature of the portal frame will be increased until
collapse of the frame. These engineering stress–strain curves are
obtained from Eurocode 3 (BSI, 2005). It should be noted that
strain-hardening and creep are inherently considered in the
stress–strain curves as given by the code.
Figure 7 shows the variation of yield strength and Young’s elastic
modulus of steel against temperature. The values shown are
normalised against their corresponding values at ambient tem-
perature. As can be seen, there is no loss in yield strength for
temperatures up to 4008C; the elastic modulus starts to decrease
from 1008C.
The remaining thermal property required to predict the changed
behaviour of the steel structure is the coefficient of thermal
expansion. Figure 8 shows this coefficient according to Eurocode
3. The steel is considered as an isotropic material with a density
of 7850.0 kg/m3, as required by dynamic and quasi-static analy-
sis. In this study, the Poisson ratio is taken as 0.3 under fire
conditions. Generally, the Poisson ratio is assumed to be indepen-
dent of temperature (Kaitila, 2002; Zha, 2003).
3. Fire model
The ISO834 standard time-temperature curve (Figure 9) is
assumed for the combustion of gases that surround the steel
frames exposed to fire. Although it is well known that this curve
does not represent a practical fire, it is widely used in fire
Section Area: cm2 Yield
strength:
N/mm2
Imaj: cm
4 Wpl: cm
3 Mc,pl:
kN m
Columns/rafters 65.8 275 20969 1077 296.2
Purlins 4.52 390 197 19.4 5.3
Table 1. Properties of equivalent steel sections (without fillets)
used for the standard building
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2005)
4
Structures and Buildings Effect of column base strength on steel
portal frames in fire
Rahman, Lim, Xu et al.
engineering; the ISO834 curve is also used in the SCI design
guide. In this paper, the developed temperature is calculated
according to Eurocode 3, based on this standard time–tempera-
ture curve, and is applied to the steel section; each steel section
has a different associated time–temperature curve.
4. Finite-element modelling
4.1 Finite-element model
In this paper, the general purpose finite-element program Abaqus
(Simulia, 2009) is used for the numerical investigations. Figure
10 shows details of the typical finite-element model. The effect of
different number of elements for the column and rafter was
investigated in order to provide both accurate results and reduced
computation time. It was found that 96 elements were sufficient
for the analysis with 16 elements for each column and 32
elements for each half of the rafter for the 2D plane frame model.
The columns and rafters are modelled using beam elements B21
(2D) and B31 (3D). Note that other possible second-order
elements, for example B22, B32, are avoided owing to the so-
called ‘volumetric locking’ problem, which is induced by the
large elemental strain in the deformed configuration. In the
numerical models, non-linear stress–strain material curves are
modelled. Since the analysis involves large inelastic strains, the
engineering stress–strain curve is converted to a true stress and
logarithmic plastic strain curve for different temperatures. These
true stress and plastic strain data against different temperatures
are specified in Abaqus.
Rotational spring elements ‘Spring2’ are used to model the
rotational stiffness of the column bases. Figure 11 shows the two
different types of moment–rotation curves that are considered for
the column base in this paper: linear and bi-linear with a
maximum moment of MOTM:
Song et al. (2009) adopted values for the nominal initial stiffness
of the column base, kb, based on the definition of non-dimen-
sional stiffness in Eurocode 3
Kb ¼ kb= EImaj=h
 
1:
where kb is the rotational stiffness of the column base, EImaj is the
bending stiffness of the column and h is the height of the column.
Theoretically, a value of Kb of zero is a pinned column base,
while a value of infinity corresponds to a fully rigid column base.
It should be noted that Song et al. (2009) considered only the
case of column bases having linear stiffness and did not cover the
case of bi-linear column bases where the strength is limited. In
this study, the behaviour of portal frames with bi-linear column
bases will be studied.
4.2 Analysis procedure
The simulation follows the transient method of analysis to study
the behaviour of the portal frame. In this method two simulation
steps are considered.
(a) Step 1. Set up the finite-element model and apply a dead load
over the rafter while keeping the rafter at ambient
temperature, that is 208C.
(b) Step 2. Keep the initial loading on the rafter and apply the
time-varying elevated temperature to investigate the response
of the structure.
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Figure 8. Coefficient of thermal expansion of steel grade S275 at
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Step 1 is a geometrically non-linear static analysis. This step
would provide initial stresses for the whole frame before carrying
out the analysis at elevated temperature. Although this step will
not involve material non-linearity, as the stresses in the structure
are within the elastic limit, the stress–strain curve and tempera-
ture curve need to be defined at this step so that they will be
automatically activated in the subsequent dynamic step. It was
also observed that this step can be carried out without applying
any numerical damping.
Step 2 uses implicit dynamic analysis. The reason for choosing
dynamic analysis over static analysis is that a static analysis
cannot handle the structural instability when the structure starts
to snap through, and stops calculation because of the convergence
problem. Material non-linearity, geometric non-linearity, inertia
forces, structural damping and material stiffness degradation are
taken into account in the dynamic analysis, as large displace-
ments and plastic deformations are likely to occur. This step uses
an iterative procedure with an automatic incrementation scheme
so that the solver determines effective time increments for
different iterations, because a fixed time incrementation scheme
is slow and can even terminate the calculation, while the material
property is highly non-linear. A half-step residual control, Haftol,
is used to ensure an accurate dynamic solution. After careful
observation, it is found that a combination of Alpha ¼ 0.15,
Haftol ¼ 1 3 102 and the smallest time increment set to
1.03 1015 s can achieve reasonably fast convergence while not
affecting overall accuracy. It is also observed that setting Extra-
polation ¼ No and Unsymm ¼ No rapidly accelerates the rate of
convergence as well. Rayleigh mass proportional damping is used
in this analysis in order to introduce some mechanism to dissipate
kinetic energy to obtain quantitatively accurate results in an
unstable structure. It can be noted that a value of 5% Rayleigh
mass proportional damping is sufficient.
5. Validation
Before carrying out detailed analyses on the standard building,
results for both a 2D frame and a 3D model are validated by
Abaqus against results reported in the literature. Some additional
studies are also carried out in order to draw preliminary conclu-
sions.
5.1 Two-dimensional model validation
5.1.1 Frame description and finite-element idealisation
In this section, the results of a 2D Abaqus model are compared
against that of a model described by Song et al. (2008, 2009).
Figure 12 shows details of the single-span portal frame investi-
gated by Song et al. using Vulcan (Table 2). As can be seen, the
frame is of span 30 m, height to eaves of 8 m and height to apex
of 8.5 m. The frame is initially loaded through a uniformly
distributed vertical load of 5.76 kN/m on the rafter and a
horizontal force of 1.7 kN at the left eaves. The load ratio, a ratio
of the applied load in fire to the ultimate load capacity at ambient
temperature of the frame, is 0.53, that is heavily loaded and lower
fire resistance. Lower fire resistance means that the frame will
collapse much faster.
M
kb
(a)
θ
M
kb
(b)
θ
MOTM
Figure 11.Moment–rotation curve used for column base
5·76 kN/m
1·7 kN 0·5 m
8·0 m
30·0 m
Base with rotational
stiffness
All sections equivalent UB457 191 98
without fillets
Steel grade S275
Pitch 6°
 
Figure 12. Details of single-span portal frame after Song et al.
(2008)
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The temperature of the rafters is increased, according the ISO
834 fire curve (ISO, 1975), until the frame collapses. As the
columns are protected in fire, they are assumed to remain at
ambient temperature throughout the analysis.
For the column base, Song et al. used values of Kb of 0.4, 2.2
and 4.4 corresponding to cases of nominally pinned, nominally
semi-rigid and nominally rigid, respectively, as recommended by
Salter et al. (2004).
5.1.2 Results
Figures 13, 14 and 15 compare the variation of deflection against
temperature with those obtained by Song et al. for the cases of
the column base being nominally pinned, semi-rigid and rigid. As
can be seen, there is a good agreement between the results
obtained using Abaqus and those obtained by Song et al.
Figure 16 compares the deformed shape at different temperatures
for the case of the pinned column base against those obtained by
Song et al. As can be seen, the mode of collapse is asymmetrical
and the deformed shapes are similar.
5.2 Three-dimensional model validation
5.2.1 Frame description and finite-element idealisation
In this section, the results of a 3D Abaqus model are compared
against the results of a model labelled as ‘case 1’ by Moss et al.
(2009) and Bong (2005).
Figure 17 shows details of the building considered by Moss et al.
As can be seen, the building comprises five frames with purlins
running over the rafters of the frame. The building has a span of
30 m, height to eaves of 6.0 m and a pitch of 7.98; the distance
between adjacent bays is 7.2 m and the purlins are spaced at
1.5 m. As purlins are susceptible to buckling laterally, bracing
channels are provided to all purlins at mid-span. All sections are
modelled without fillets, and Table 3 summarises the equivalent
section properties.
Unlike the frame described by Song et al., no additional mass
was applied to the frame by Moss et al.; instead the frame was
modelled to collapse only under its self-weight and the self-
weight of the purlins. The equivalent uniformly distributed load
is 1.3 kN/m. This corresponds to a load ratio of 0.21 and 0.18 for
pinned and fixed column bases, respectively; such a load ratio is
more reasonable for a building. A lower load ratio gives higher
fire resistance.
Figure 18 shows details of the building idealisation. All sections
are modelled in Abaqus using B31 beam elements. As can be
Section Area: cm2 Yield
strength:
N/mm2
Imaj: cm
4 Wpl: cm
3 Mc,pl:
kN m
Columns/rafters 124.4 275 45 700 1957 538
Table 2. Properties of equivalent steel sections used by Song
(2009)
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Figure 13. Variation of deflection against temperature for single-
span portal frame when column base is nominally pinned
(Kb ¼ 0.4) after Song et al. (2008): (a) apex; (b) left eaves; (c) right
eaves
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seen, the ends of the purlins are restrained in the global X and Y
directions, transverse to the direction of the purlins running along
the length of the building. The purlins are not restrained in their
axial direction. Each frame is restrained laterally in the out-of-
plane direction at three positions: mid-height of columns, top of
columns and apex.
Figure 19 shows details of the connection between the purlins
and rafters. The connection is pinned in all directions other than
the on-plan plane of the roof, where the connection was
continuous. In Abaqus, this connection constraint is achieved by
using MPC PIN parameters. MPC defines multi-point constraints
between different degrees of freedom of the model, and PIN
provides a pinned joint between two nodes, so MPC PIN makes
the displacements equal but leaves the rotations independent of
each other. It should be noted that for the frame and loading
conditions considered in this paper, little difference has been
noted in the graphs of deflection against temperature, whether the
connections had been pinned in all directions or rigid in all
directions.
5.2.2 Fire location
Moss et al. considered various fire scenarios. For the purpose of
validation, only the scenario where a fully developed fire is
applied to the middle frame of the structure is considered.
5.2.3 Results
Figure 20 shows the variation of apex deflection against tempera-
ture for the cases considered by Moss et al. when fire is imposed
in the whole structure. Figure 21 compares the collapsed shape of
the buildings. As can be seen, there is a good agreement between
the results obtained using Abaqus and that reported by Moss et al.
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Figure 14. Variation of deflection against temperature for single-
span portal frame when column base is nominally semi-rigid
(Kb ¼ 2.2) after Song et al. (2008): (a) apex; (b) left eaves; (c) right
eaves
0·40
0
2·0
4·0
6·0
8·0
A
pe
x 
de
fle
ct
io
n:
 m
200 400 600 800 1000 1200
Temperature: °C
(a)
Song et al.
Abaqus
4·0
3·0
2·0
1·0
0·5
Ea
ve
s 
de
fle
ct
io
n:
 m
200 400 600 800 1000 1200
Temperature: °C
(b)
Song et al.
Abaqus
0
0
0·40
0·80E
av
es
 d
ef
le
ct
io
n:
 m
200 400 600 800 1000 1200
Temperature: °C
(c)
Song et al.
Abaqus
Figure 15. Variation of deflection against temperature for single
span portal frame when column base is nominally rigid (Kb ¼ 4.4)
after Song et al. (2008): (a) apex; (b) left eaves; (c) right eaves
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6. Study on standard building
In the previous sections, both 2D and 3D Abaqus models were
validated against different models described in the literature. For
a building in fire boundary conditions, the behaviour of a 2D
plane frame model, in which no restraint is provided by the
purlins (or side rails), can be considered as being a lower bound
solution. On the other hand, a 3D model having an infinite
number of frames, in which only the centre frame and purlins
connected to the central frame are modelled in fire, can be
considered as being an upper bound solution.
In this section, four different fire scenarios will be considered for
the standard building, denoted by fire scenarios A, B, C and D,
representing one, three, five and all frames in fire, respectively.
Figure 22 shows details of the frames and purlins in fire for fire
scenarios A, B and C. As can be seen, the purlins adjacent to the
frames in fire are also modelled at elevated temperature. For the
case of fire scenario A (see Figure 22(a)), the model adopted is
similar to that described in the section 5.2, with five frames
modelled, of which the middle frame is modelled at elevated
temperatures; there are, therefore, two frames on either side of
the central frame in fire with purlins providing restraint. Although
an infinite number of frames on either side would be the true
upper bound solution, in the interest of computational efficiency
and after carrying out a series of preliminary simulations, it has
been found that two are sufficient.
20°C
560°C
560°C
560°C
561°C
(a)
20°C
560°C
561°C
561°C
562°C
(b)
X
Y
Figure 16. Comparison of deformed shape for a standard frame
having pinned column base after Song et al. (2008): (a) Song et
al. (2008); (b) Abaqus
7·9°
Bracing
DB8910 channels
Steel frame
410UB54
Purlin
DHS25015
8·06 m
30 m5·6 m
5·6 m
7·2 m
7·2 m
7·2 m
7·2 m
40·0 m
Figure 17. Details of the building considered by Moss et al. (2009)
and Bong (2005)
Section Area: cm2 Yield
strength:
N/mm2
Imaj: cm
4 Wpl: cm
3 Mc,pl:
kN m
Columns/rafters 67.8 275 1672 249 68.4
Purlins 6.2 275 583 69 19
Bracing 4.0 275 22 5.8 1.6
Table 3. Properties of equivalent steel sections used by Moss et al.
(2009)
Figure 18. Details of the frame idealisation with restraints of the
portal frame by Moss et al. (2009) and Bong (2005)
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For the case of fire scenario B (see Figure 22(b)), in order to
keep the amount of restraint provided by the purlins the same as
that of fire scenario A, with two frames at both ends providing
restraint, seven frames are modelled, of which the middle three
are in fire. Similarly, for the case of fire scenario C (see Figure
22(c)), nine frames are modelled. Fire scenario D, considering all
frames in fire with no restraint provided by the purlins, is
idealised using the 2D plane frame model (see Figure 22(d)).
In this section, the effect of different column base moment
rotation curves is investigated for each of the fire scenarios
described above.
6.1 Behaviour of building of perfectly-pinned column
bases
Figure 23 shows the variation of deflection against temperature
for the standard building for each of the four fire scenarios. In all
cases, the column bases are perfectly pinned. The deformed shape
for fire scenarios A and D are shown in Figure 24, and the results
are summarised in Table 4. As can be seen, for fire scenario A,
Purlin
Pitch
Rafter
z
x
y
(a)
Purlins
free to rotate
-axisy
Rafter
y
y
x
z
(b)
Figure 19. Details of connection between purlins and rafters as
used by Moss et al. (2009) and Bong (2005): (a) side view;
(b) plan view
0·5
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Figure 20. Validation of model after Moss et al. (2009) and Bong
(2005)
(a)
(b)
Figure 21. Comparison of collapsed building shape: (a) collapsed
shape from Abaqus; (b) collapsed shape after Moss et al. (2009)
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the rafters remain suspended below the columns throughout the
duration of fire due to catenary action of purlin; the building has,
therefore, not collapsed up to a temperature of 11008C.
From Table 4 it can be seen that the snap-through-buckling
temperature decreases only slightly, from 8228C for fire scenario B
to a temperature of 8098C for fire scenario D. It should be noted,
however, that the change in collapse temperature is larger, decreas-
ing from 10398C to 8118C. While these temperatures are similar to
the maximum temperature of 8908C assumed by the SCI design
method, for all fire scenarios the outward rotations of the columns
are much higher than the 18 specified by the SCI design method.
Using Wong’s (2001) method for calculating the snap-through-
buckling temperature, it was shown that the snap-through-buck-
ling temperature was 7098C.
6.2 Effect on building of linear column base stiffness
As discussed in section 4.2, the SCI design method does not
provide values for the rotational stiffness, Kb, of the column base.
Song et al. (2008) used values of Kb of 0.4, 2.2 and 4.4,
corresponding to cases of nominally pinned, nominally semi-rigid
and nominally rigid, respectively.
For the lower bound fire scenario D, Figure 25 shows the
variation of deflection against temperature for different column
base rotational stiffness. The results for the perfectly pinned and
perfectly rigid column bases are also shown in Table 5.
As can be seen from Figure 25 and Table 5, the snap-through-
buckling temperature increases from 8098C for the perfectly
pinned column base to 9368C for the perfectly rigid column base.
Unlike the case of the perfectly pinned column base, the two-
phase collapse mechanism discussed by Song can clearly be
seen.
From Table 5, for the nominally pinned column base, the outward
and inward eaves rotation at the top of the columns is 1.78 and
2.38. These values are only slightly larger than the 18 specified by
the SCI design method.
(a) (b)
(c) (d)
Figure 22. Different fire scenarios (note: bold line indicates
members in fire and thin line indicates member at ambient
temperature): (a) fire scenario A: (b) fire scenario B; (c) fire
scenario C; (d) fire scenario D
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6.3 Effect on building of partial strength column base
stiffness
6.3.1 MOTM of MSCI
In section 2.1 it was stated that, in accordance with the SCI
design method, the column base needs only be designed to sustain
an overturning moment, MOTM, of 61.2 kN m. Such an over-
turning moment represents approximately 20% of the plastic
moment capacity of the section.
Figure 26 shows the variation of deflection against temperature
for fire scenario D for three different column base rotational
stiffnesses having a partial strength MOTM of 61.2 kN m. The
results are summarised in Table 6.
As can be seen from Table 6, for all three different column base
rotational stiffnesses, the snap-through-buckling temperature is
8188C, only slightly higher than 8098C for the pinned support.
The effect of the partial strength column base means that the
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Figure 23. Variation of deflection against temperature for
standard building with perfectly pinned column bases: (a) apex
deflection; (b) left eaves rotation: (c) right eaves rotation
(a)
20°C 620°C 765°C
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961°C893°C
Y
X
(b)
20°C
602°C 800°C
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X
Figure 24. Deformed shape for standard building with pinned
column bases for two fire scenarios: (a) fire scenario A; (b) fire
scenario D
Fire scenario Snap-through-
buckling
temperature: 8C
Collapse
temperature: 8C
Maximum outward
column rotation by
8908C: degrees
A .1100 .1100 0.56
B 822 1039 9.1
C 810 926 12.0
D 809 811 Collapsed
Table 4. Summary of behaviour of standard building with pinned
column base
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Figure 25. Variation of deflection and eaves rotation against
temperature for standard building analysed as a 2D plane frame
with linear column base: (a) apex deflection; (b) left eaves
rotation; (c) right eaves rotation
Column base stiffness Snap-through-buckling
temperature: 8C
Collapse temperature:
8C
Maximum outward
column rotation by
8908C: degrees
Maximum inward
column rotation by
8908C: degrees
Pinned 809 811 14.1 Collapsed
Nominally pinned 822 1082 1.7 2.3
Nominally semi-rigid 875 1082 1.4 0.8
Nominally rigid 914 1082 1.4 0.7
Rigid 936 1069 1.0 0.3
Table 5. Summary of behaviour of standard building under fire
scenario D with column base having linear stiffness
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Figure 26. Variation of deflection and eaves rotation against
temperature for standard building analysed as a 2D plane frame
(fire scenario D) with column base having a value of MOTM of MSCI
(61.2 kN m) with different base rigidity: (a) apex deflection: (b) left
eaves rotation; (c) right eaves rotation
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frame behaves similarly to that of a frame with a perfectly pinned
column base. Increasing the column base rotational stiffness from
nominally pinned to either nominally semi-rigid or nominally
rigid has very little effect. The maximum outward column
rotation is 1.78.
Figure 27 shows the same results for fire scenarios A, B and C;
the results are summarised in Table 7. As can be seen, for fire
scenario A, the building remains stable and suspended throughout
the duration of the fire. For fire scenarios B and C, the frame
undergoes snap-through-buckling at temperatures of 8288C and
8188C, respectively. These temperatures are only slightly higher
than that of fire scenario D of 8118C. For fire scenario D, the
building collapses after snap-through buckling. In all cases, the
maximum outward eaves rotation by 8908C is 1.78; the inwards
rotation is 34.18.
6.3.2 MOTM of 2MSCI
Figure 28 shows the variation of deflection against temperature
for the standard building for the case of a nominally pinned
column base with the overturning moment limited to MOTM of
2MSCI, that is 122.4 kN m. The results are summarised in Table 8.
As can be seen, the inward rotation for the frame of fire scenario
D at 8908C is 3.258 as opposed to the columns collapsing. Figure
29 shows the effect of increasing the overturning moment on the
variation of frame deflection against temperature.
7. Parametric study
7.1 Introductory remarks
In the previous sections, it was shown that that the finite-element
model can reproduce similar results to those reported in the
literature for both a 2D frame and a 3D building. For the standard
building, it was also shown that if the number of frames in fire
can be taken into account, then the collapse temperature will
increase and the column rotations will decrease.
In this section, a parametric study will be undertaken using the
lower bound 2D plane frame. The results will be compared against
the criterion assumed by the SCI design guidance, that at 8908C the
columns will not have exceeded a rotation of 18 from the vertical.
Column base stiffness Snap-through-
buckling
temperature: 8C
Collapse
temperature: 8C
Maximum outward
column rotation by
8908C: degrees
Maximum inward
column rotation: degrees
By 8908C By 10008C
Nominally pinned 818 869 1.7 Collapsed Collapsed
Nominally semi-rigid 818 879 1.7 Collapsed Collapsed
Nominally rigid 818 1010 1.7 14.0 16.5
Table 6. Summary of behaviour of standard building under fire
scenario D having a value of MOTM of 61.2 kN m with column
base having linear stiffness
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Figure 27. Variation of deflection and eaves rotation against
temperature for standard building with nominally pinned partial-
strength column base having a value of MOTM of MSCI (61.2 kN m)
for different fire scenarios: (a) apex deflection: (b) left eaves
rotation; (c) right eaves rotation
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Fire
scenario
Snap-through-
buckling
temperature: 8C
Collapse
temperature:
8C
Maximum outward
column rotation by
8908C: degrees
Maximum inward
column rotation
by 8908C: degrees
A n/a . 1100 2.3 0.40
B 828 . 1100 1.7 2.49
C 818 . 1100 1.8 3.23
D 818 869 Collapsed Collapsed
Table 7. Summary of behaviour of standard building having
nominally pinned column bases with a value of MOTM of MSCI
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Figure 28. Variation of deflection and eaves rotation against
temperature for standard building with nominally pinned partial-
strength column base having a value of MOTM of 2MSCI
(122.4 kN m) for different fire scenarios: (a) apex deflection:
(b) left eaves rotation; (c) right eaves rotation
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Figure 29. Variation of deflection and eaves rotation against
temperature for standard building with nominally pinned partial-
strength column base having different MOTM: (a) apex deflection:
(b) left eaves rotation; (c) right eaves rotation
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Fire scenario Snap-through-
buckling
temperature: 8C
Maximum outward
column rotation by
8908C: degrees
Maximum inward
column rotation by
8908C: degrees
A .1100 1.4 n/a
B 831 1.4 1.5
C 826 1.5 1.5
D 822 1.4 3.25
Table 8. Summary of behaviour of standard building having
nominally pinned column bases with a value of MOTM of 2MSCI
22·0 m
UB 533 210 82 
6°
UB 610 229 125 
Frame S1
8·9 m
UB 406 178 54 
8°
UB 356 127 33 
Frame S2
4·0 m
39·32 m
UB 457 191 74 
6°
UB 406 140 39 
Frame S3
6·65 m
25·0 m
Figure 30. Frames designed from a survey of practising engineers (Lim et al., 2005)
Frame L: m h: m Ł:
degrees
L=h Column section Rafter section Mp,raf:
kN m
Mp,col:
kN m
MSCI:
kN m
MSCI/
Mp,col
r
Standard 22 5.7 6 3.9 457 3 152 3 52 457 3 152 3 52 296 296 61 0.21 0.09
S1 39.3 8.9 6 4.4 610 3 229 3 125 533 3 210 3 82 642 1341 258 0.19 0.20
S2 22.0 4.0 8 5.5 406 3 178 3 54 356 3 127 3 33 110 253 75 0.30 0.22
S3 25.0 6.7 6 3.8 457 3 191 3 74 406 3 140 3 39 168 453 115 0.25 0.24
P1 40.0 6.0 6 6.7 686 3 254 3 140 533 3 210 3 92 649 1253 196 0.16 0.18
P2 35.0 6.0 6 5.8 686 3 254 3 125 533 3 210 3 82 566 1098 148 0.14 0.16
P3 30.0 6.0 6 5.0 610 3 229 3 101 457 3 191 3 67 405 792 120 0.15 0.12
P4 25.0 6.0 6 4.2 533 3 210 3 82 406 3 178 3 54 290 566 90 0.16 0.16
P5 20.0 6.0 6 3.3 457 3 191 3 67 406 3 140 3 39 181 405 57 0.14 0.15
P6 15.0 6.0 6 2.5 356 3 171 3 45 305 3 102 3 28 111 213 43 0.20 0.15
P7 40.0 8.0 6 5.0 762 3 267 3 147 533 3 210 3 92 649 1418 213 0.15 0.18
P8 35.0 8.0 6 4.4 686 3 254 3 125 533 3 210 3 82 566 1098 174 0.16 0.16
P9 30.0 8.0 6 3.8 610 3 229 3 101 457 3 191 3 67 405 792 143 0.18 0.17
P10 25.0 8.0 6 3.1 533 3 210 3 82 406 3 178 3 54 290 566 108 0.19 0.16
P11 20.0 8.0 6 2.5 457 3 191 3 67 406 3 140 3 39 181 405 67 0.17 0.15
P12 15.0 8.0 6 1.9 356 3 171 3 45 305 3 102 3 28 111 213 59 0.28 0.16
P13 40.0 10.0 6 4.0 762 3 267 3 147 610 3 229 3 101 792 1418 243 0.17 0.15
P14 35.0 10.0 6 3.5 686 3 254 3 125 533 3 210 3 82 566 1098 200 0.18 0.16
P15 30.0 10.0 6 3.0 610 3 229 3 113 457 3 191 3 67 405 902 138 0.15 0.17
P16 25.0 10.0 6 2.5 533 3 210 3 92 406 3 178 3 54 290 649 100 0.15 0.16
P17 20.0 10.0 6 2.0 457 3 191 3 67 406 3 140 3 39 181 405 89 0.22 0.16
P18 15.0 10.0 6 1.5 356 3 171 3 51 305 3 102 3 28 111 246 48 0.19 0.16
P19 40.0 12.0 3.3 762 3 267 3 147 610 3 229 3 101 792 1098 344 0.31 0.15
P20 35.0 12.0 6 2.9 686 3 254 3 125 533 3 210 3 82 566 1098 225 0.21 0.16
P21 30.0 12.0 6 2.5 610 3 229 3 113 457 3 191 3 67 405 902 154 0.17 0.17
P22 25.0 12.0 6 2.1 533 3 210 3 92 406 3 178 3 54 290 649 111 0.17 0.17
P23 20.0 12.0 6 1.7 457 3 191 3 67 406 3 140 3 39 181 405 100 0.25 0.16
Table 9. Parameters of frames used in parametric study
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7.2 Scope of parametric study
In total, 27 portal frames are used for the parametric study. The
dimensions of these frames are shown in Table 9. As can be seen
from Table 9, the section sizes, moment capacities of the
sections, as well as MSCI are provided. Also included in Table 9
are the ratios of MSCI to the plastic moment capacity of the
column, Mc,pl, which range from 0.14 to 0.3.
Frames S1, S2 and S3 are shown in Figure 30. These frames are
taken from designs reported in a survey of portal frames by
practising engineers (Lim et al., 2005). Frames P1 to P23 are
designed by the present authors based on charts presented in
Todd (1996).
For all the frames investigated in the parametric study, the
column bases are nominally pinned. A uniformly distributed load
of 0.2 kN/m2 is applied on the roof; a nominal horizontal force of
0.5% of the vertical load is applied at the eaves. Values of MOTM
of both MSCI and 2MSCI are considered.
7.3 Results of parametric study
Table 10 shows the parametric study results for column rotation
for three values of MOTM: MSCI, 1.5MSCI and 2MSCI: As expected,
increasing MOTM from MSCI to 2MSCI has very little effect on the
outward rotation. For the column base having a value of MOTM of
MSCI, the average maximum outward rotation is 1.88, which is of
a similar order of magnitude to the 18 specified by the SCI design
method. Table 10 also shows the inward rotations. As expected,
the rotations are much higher than the 18 specified by the SCI
design method.
Similarly, in terms of snap-through-buckling temperatures, there
is very little difference in increasing MOTM from MSCI to 2MSCI:
Both the snap-through-buckling temperatures and collapse tem-
peratures are shown in Table 11. As can be seen, the increase in
the snap-through-buckling temperature, as a result of increasing
MOTM from MSCI to 2MSCI is only 108C.
However, in terms of collapse temperatures, the majority of
Frame Maximum outward column rotation by 8908C: degrees Maximum inward column rotation by 8908C: degrees
MOTM ¼ MSCI MOTM ¼ 1:5MSCI MOTM ¼ 2MSCI MOTM ¼ MSCI MOTM ¼ 1:5MSCI MOTM ¼ 2MSCI
Standard 1.7 1.5 1.5 Collapsed 8.4 1.5
S1 3.7 1.6 1.6 Collapsed Collapsed 22.0
S2 3.8 3.8 3.6 Collapsed Collapsed 3.0
S3 1.3 1.4 1.4 Collapsed Collapsed 4.9
P1 2.6 2.6 2.6 Collapsed Collapsed 1.0
P2 2.9 2.4 2.3 Collapsed Collapsed 2.6
P3 3.6 3.0 2.4 Collapsed 11.5 2.8
P4 2.7 1.9 1.4 Collapsed 13.7 3.5
P5 2.0 1.9 1.8 Collapsed 25.5 8.1
P6 1.1 1.1 1.1 Collapsed 14.2 3.6
P7 2.2 2.1 2.0 Collapsed Collapsed 3.3
P8 2.9 2.3 2.0 Collapsed 13.9 3.3
P9 2.1 1.9 1.8 Collapsed 11.8 2.9
P10 1.3 1.3 1.3 Collapsed 12.3 3.4
P11 1.1 1.1 1.1 Collapsed 23.1 6.4
P12 0.8 0.8 0.8 52.1 4.3 2.8
P13 2.4 2.0 1.9 Collapsed 12.6 3.0
P14 1.7 1.6 1.4 Collapsed 12.7 3.2
P15 1.3 1.3 1.3 Collapsed 26.9 7.2
P16 1.1 1.1 1.1 Collapsed 36.2 8.9
P17 0.8 0.8 0.8 Collapsed 9.1 2.6
P18 0.7 0.7 0.7 67.3 8.5 6.0
P19 1.4 1.3 1.3 31.5 3.4 1.7
P20 1.3 1.2 1.2 Collapsed 11.3 2.8
P21 1.0 1.0 1.0 Collapsed 25.8 6.6
P22 0.9 0.9 0.9 Collapsed 12.7 8.0
P23 0.7 0.7 0.7 57.0 7.4 3.2
Average 1.8 1.6 1.5
Table 10. Parametric study results for column rotation
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frames having a value of MOTM of MSCI have collapsed by 8908C.
The effect of increasing MOTM from MSCI to 2MSCI results in the
average collapse temperature being increased from 8458C to
10348C. The results for MOTM having a value of 1.5MSCI are also
shown in Table 11. As can be seen, the average collapse tempera-
ture for a value of MOTM of 1.5MSCI is 9588C, which is higher
than the temperature assumed in the SCI design of 8908C.
7.4 Comparison against Wong’s method
As discussed in section 6.1, Wong (2001) described a method for
determining the snap-through-buckling temperature for pinned
column base portal frames. Table 12 shows a comparison of the
snap-through-buckling temperature of Wong’s method and the
Abaqus model using nominally pinned column bases and MOTM
of MSCI: It can be seen that Wong’s method is slightly under-
conservative, even though it is based on pinned column bases.
Wong’s method is, however, useful for quickly assessing the snap-
through-buckling temperature.
8. Conclusion
The following conclusions can be drawn.
(a) The 3D model increases the collapse temperature and reduces
the rotations, but the number of frames in fire is significant.
(b) The SCI method does not take into account the partial
strength of the column base. If the partial strength of the
column base is taken into account, the column base rotational
stiffness has little effect on the collapse behaviour of the
frame, with the column base behaving as a pin once the
column base moment capacity has been exceeded.
(c) The 2D frames considered in the parametric study all
collapsed before 8908C when the rotational strength of the
column base was MSCI: However, when the rotational strength
of the column base was increased to 2MSCI all the frames
were stable at 8908C. Intermediate results for 1.5MSCI were
also provided. It is acknowledged by the current authors that
Frame Snap-through-buckling temperature: 8C Collapse temperature: 8C
MOTM ¼ MSCI MOTM ¼ 1:5MSCI MOTM ¼ 2MSCI MOTM ¼ MSCI MOTM ¼ 1:5MSCI MOTM ¼ 2MSCI
Standard 818 828 838 869 986 1071
S1 620 621 624 664 695 979
S2 672 682 694 762 783 936
S3 643 645 647 698 875 918
P1 711 721 736 793 850 1047
P2 737 741 751 808 880 1057
P3 781 786 793 885 1042 1054
P4 732 736 742 849 941 1008
P5 742 743 747 793 974 1031
P6 740 740 741 808 941 977
P7 701 702 710 792 881 1063
P8 731 735 741 847 1001 1053
P9 725 728 733 859 967 1043
P10 731 732 734 852 974 1048
P11 745 746 747 791 940 1027
P12 746 746 747 985 985 986
P13 743 746 751 863 987 1068
P14 729 732 736 859 983 1061
P15 723 724 726 795 967 1053
P16 730 728 731 776 1032 1060
P17 750 750 751 892 1002 1010
P18 748 749 749 1026 1040 1048
P19 740 741 743 1096 1097 1098
P20 728 728 729 882 979 1054
P21 724 725 726 790 994 1058
P22 727 729 729 782 1041 1063
P23 751 752 753 1007 1029 1045
Average 725 731 735 845 954 1034
Table 11. Results of parametric study for snap-through-buckling
and collapse temperature
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this conclusion should not be taken too generally, as only a
limited number of frames were considered.
(d ) The average outward rotation of the columns where the
rotational strength of the column base was MSCI was 1.88.
This outward rotation was only slightly higher than the 18
assumed by the SCI design method.
(e) The inward rotation was significantly higher than 18.
( f ) It has been shown that the value of the overturning moment,
calculated in accordance with the SCI design method, may
not be sufficient to prevent collapse of the frame before
8908C. However, by taking into account both the number of
bays in fire, and the strength of the column base, a frame may
be able to be shown to satisfy the assumptions of the SCI
design criteria of the columns remaining 18 from the vertical
and stability up to a temperature of 8908C.
(g) The safety implication of the SCI design guidance not being
sufficient has not been explored in this paper, other than to
note that frames designed on the basis of the SCI design
guidance may collapse at a lower temperature than expected.
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WHAT DO YOU THINK?
To discuss this paper, please email up to 500 words to the
editor at journals@ice.org.uk. Your contribution will be
forwarded to the author(s) for a reply and, if considered
appropriate by the editorial panel, will be published as a
discussion in a future issue of the journal.
Proceedings journals rely entirely on contributions sent in
by civil engineering professionals, academics and students.
Papers should be 2000–5000 words long (briefing papers
should be 1000–2000 words long), with adequate illustra-
tions and references. You can submit your paper online via
www.icevirtuallibrary.com/content/journals, where you
will also find detailed author guidelines.
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